To enhance the lateral strength, stiffness, and ductility of reinforced concrete bare frames, which are vulnerable to large seismic excitation, a simple, convenient, economic, and effective retrofit concept of cast-in-site partial or full, thick hybrid wall using additional concrete sandwiched by steel plates and high-strength steel bar prestressing is proposed in this paper. The frames were retrofitted by casting additional wing-walls adjacent to columns (referred to as openingtype wing-walls) and additional panel-walls into bare frames (referred to as non-opening-type panel-walls). The frames thus retrofitted were experimentally investigated under simultaneous cyclic lateral forces and a constant vertical load. It was verified that the proposed retrofit technique for bare frames is effective in terms of increasing lateral strength, stiffness, and ductility. For the analytic assessment of the proposed retrofit technique, design guidelines to calculate flexural strength, shear strength, and lateral force resistance capacity are suggested.
Introduction
The Japanese islands may be called a kind of natural shaking table. Large earthquakes have occurred there many times in the past. The destructive damage caused by the Great Hanshin-Awaji Earthquake in 1995 showed that most buildings, especially low-rise to mid-rise RC buildings, such as school buildings, dwelling houses, police stations, and hospitals in regions of high seismic activity in Japan are vulnerable to damage and collapse in large earthquakes. Most of these buildings were constructed according to the old Building Standard Law of Japan. To meet the requirements of the current seismic design standards, it is therefore necessary to assess the seismic performance as well as the retrofit requirements of existing RC buildings designed in accordance with the inadequate old seismic design codes. Earthquakes in other parts of the world are a continual reminder of the need for seismic mitigation programs.
The most significant failures of low-rise to mid-rise RC buildings in past earthquakes in Japan have been attributed to column shear failure and the formation of soft stories. The major objective of this paper is the development of suitable retrofit techniques for low-rise to mid-rise RC buildings with all bare frames in the first story or partial discontinuity of framed shear walls in the first story or upper stories. In such buildings, the structural walls (namely, framed shear walls) are intentionally discontinued to create larger open spaces. Nonstructural walls, such as spandrel-walls and wing-walls besides columns, are usually neglected in practical structural analyses and designs, although they can contribute significantly to the strength and stiffness of the framing system. As a result of abrupt reductions in lateral strength and stiffness, earthquake-induced deformations tend to concentrate in weak stories, and the large story drift demand often leads to failure of the weak story columns and eventually the collapse of the building. To improve seismic performance and to reduce earthquake damage to low-rise to mid-rise RC buildings, an increase in the lateral strength of weak stories would be especially effective. When applying a ductility-type retrofit in buildings with a weak first story, for example, it would be difficult to prevent the collapse of the building due to the P-δ effect, which reduces the lateral strength of the weak first story due to the additional overturning moment developed by the high ductility demand. To achieve the intended performance goal within well-defined levels of reliability, it is necessary to develop a retrofit technique that significantly increases lateral strength. A simultaneous increase of ductility would provide additional safety. By installing the wall partially or fully into the bare frame, both the lateral strength and the ductility or the lateral strength only can be increased.
Considering these facts, an economic and convenient retrofit concept for bare frames involving cast-in-site partial or full, thick hybrid walls using additional concrete sandwiched by steel plates and high-strength steel bar (referred to as PC bar hereafter) prestressing is proposed in this paper. In this proposed technique, an additional wall that is cast adjacent to a column partially into the bare frame is termed a wing-wall (opening-type wing-wall), and a wall that is cast fully into the bare frame is termed a panel-wall (non-opening-type panelwall). The benefits of this technique are that the steel plates and PC bars can simultaneously act as formwork and form-ties during the casting of the additional con-crete, and after hardening they can serve for shear strengthening and confinement. Essentially, no longitudinal and transverse reinforcement or anchorage system is provided in the additional cast-in-site wall, and since the width of the wall is equal to the width of the column, the construction is easy and the effective confinement can also be achieved.
Background and concept of proposed retrofit technique
In a previous investigation (Yamakawa et al. 1999 ) with independent RC columns retrofitted using corner blocks and PC bar prestressing, it was verified that although the lateral strength increased a little only, the ductility was greatly improved. In another study (Yamakawa et al. 2006) , it was verified that the seismic performance of shear-critical columns with wing-walls attached on one or both sides could be improved by converting these thin secondary walls into thick hybrid walls with additional concrete sandwiched by steel plates and PC bar prestressing. The experimental results on the relationships of story shear force (V)-story drift angle (R) and average longitudinal strain (ε v )-story drift angle (R) of these wing-wall column specimens are shown in Fig. 1 . The retrofit technique proposed in this paper was verified through a cyclic loading test of individual wingwall column members. However, retrofitting can be ineffective if attention is not paid to plastic hinge formation in beams as well as in columns, and cyclic loading tests of frames built with these seismic elements are also needed. Pilot tests of the retrofit concept using frames similar to wing-wall column members were conducted previously (Rahman et al. 2005) . For extensive investigations considering various retrofit parameters, experimental and analytical investigations of non-retrofitted and retrofitted bare frames are illustrated in this paper.
In Fig. 1 , one-sided and both-sided wing-wall columns were retrofitted using additional concrete sandwiched by steel plates and PC bar prestressing. In the case of the one-sided wing-wall column, however, the column was jacketed with channel-shaped steel plate, and the cementing material was grouted to eliminate the gap between the column surface and the steel channel. In both cases, high seismic performance was ensured. In the proposed retrofit technique, steel plates and PC bars can act as formwork and form-ties during the casting of the additional concrete. After hardening of the post-cast Fig. 1 Experimental V-R and εv-R relationships of one-sided and both-sided wing-wall columns.
Note: Dotted line is calculated flexural strength of square column only. concrete, they can serve for shear strengthening as well as confinement, and can also maintain rigidity and provide protection against spalling of the cover concrete and local buckling of the longitudinal reinforcement. As columns and wing-walls are firmly united, they can act as unified members. As a result, shear strength is increased due to the formation of a large compression strut, and flexural strength is increased by the provision of a large, unified section with a large lever arm for moment resistance. Another significant point is that the thickness of the additional cast-in-site wall is the same as the width of the column, and thus the construction process is easy and effective confinement can be achieved. In this retrofit technique, essentially no flexural or shear reinforcement is provided inside the wingwall or panel wall in either the longitudinal or the transverse direction. When the additional cast-in-site wingwall (opening-type) retrofit technique is applied to a column, no additional anchorage is usually provided to connect the wing-wall to the beam. In the non-openingtype, however, additional anchorage is sometimes necessary to connect the panel wall at the bottom; this prevents sliding shear failure, as high lateral shear forces are expected in such cases. Figure 2 shows an example of the plan and elevation of a soft-story building with retrofitted bare frames in the first story and various retrofit styles (Yamakawa 2005) applied to bare frames depending on the locations of the columns. To increase the strength and stiffness of the weak story, a suitable combination of retrofit styles can be selected, involving the insertion of either a castin-site thick panel wall between the columns or a thick wing-wall on either one or both sides of the column, with or without an existing non-structural thin wall attached to the column.
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Test plan
To determine the effectiveness of the proposed retrofit technique, one shear-critical non-retrofitted standard bare frame specimen and five retrofitted specimens (three opening-type wing-walls and two non-openingtype panel-walls) were tested under a combination of simultaneous cyclic lateral forces and a constant vertical load. Each bare frame comprised two square columns (depth and width = 175 mm, clear height = 875 mm) and a beam (depth = 250 mm, width = 125 mm, clear span = 1,325 mm), and was cast monolithically with a stub (depth = 500 mm, width = 600 mm, length = 2,300 mm) at the bottom. The scale factor of the test specimens was about 1/4-1/3, to model a low-rise school building designed according to the pre-1971 Japanese design code. The shear span to depth ratio (M/(VD)) was 2.5 for the columns (clear height) and 2.65 for the beams (clear span). The vertical axial load ratio (N/(σ B bD)) was 0.2 per square column only. The retrofit details of the test specimens are listed in Table 1 . The reinforcement details of the frames and the mechanical properties of the steel materials and concrete used in the test specimens are provided in Fig. 3 , Table 2 and Table  3 .
R05P-P0 was a non-retrofitted standard test specimen. Test specimens R05P-OR, R05P-OS, and R05P-ORB were retrofitted with cast-in-site wing-walls with opening inside the frame, and R05P-WD and R05P-WDB were retrofitted with cast-in-site panel-walls without channel-shaped steel plate opening inside the frame. In this retrofit technique, the main square columns were jacketed with channelshaped steel plates (thickness = 2.3 mm) and the other steel plates were connected to these channels using PC bars (diameter = 13 mm) to form a formwork for the wing-walls or panel-wall with a width equal to that of the column. The additional concrete was then cast to make a hybrid wall. After hardening of the post-cast concrete and before the cyclic loading test, initial tension forces were applied to the PC bars that were previously inserted across the wall. Epoxy grout was used to eliminate the gap between the column surface and the steel plate. Additional transverse reinforcements were provided inside the wing-wall of specimen R05P-OR to prevent the spalling of concrete on the exposed face of the wing-wall. In the opening-type wing-wall specimens, no additional longitudinal reinforcement or stud dowel was provided inside. In specimen R05P-ORB, the beam depth was increased by the additional casting and additional longitudinal rebars (2-D13) were provided inside the casting. Here, the beam was retrofitted like the wing-wall column, and during the retrofitting, holes were made in the beam to insert the PC bars, which were used to fix the steel plate to the beam. In this case, the longitudinal rebars within the additional casting adjacent to the beam were anchored into the wing-wall only and not into the column (the anchored part of the rebars at each end was L-shaped, with a total anchorage length of 400 mm, of which the bent length was 100 mm, with a hook). In specimen R05P-WD, the top beam-panel-wall and the bottom panel-wall-stub connections were strengthened by stud dowels. In R05P-WDB, dowels were provided at the bottom only and the top beam-panel-wall connection was strengthened by the casting of additional concrete sandwiched by steel plates with PC bar prestressing up to the beam. During this retrofitting, holes were made in the beam to insert the PC bars, which were used to fix the steel plate to the beam. In these specimens, the minimum anchorage length of the stud dowel was provided according to the manufacturer's specifications for the size of the dowel bar and the type of chemical setter used for the bonding of stud dowels. The anchorage length of the stud dowels used in the specimens is given in Table 1 . As stated earlier, the major role of the combination of steel plates and PC bars is as a formwork and form-tie, and this combination confines the columns with wingwalls or panel-wall as a unified member to resist high lateral forces by the formation of a large compression strut. During shear resistance by the compression strut, the vertical component of the compression strut force may tend to slide the additional casting in the vertical direction, which can be resisted by the steel plates and PC bars. The appropriate thickness of the steel plate and minimum number of PC bars can thus be selected to maintain the shear strength by the arch mechanism. If the shear margin (the ratio of the shear force due to shear failure to the shear force due to flexural failure) is too large, the thickness of the steel plate could be limited by limiting the desired shear margin. When the sliding shear resistance through the beam-panel-wall connection in non-opening-type retrofitted specimens is insufficient to achieve the desired flexural strength (the lateral force capacity due to the flexural failure) of the specimen, the beam-panel-wall connection is so strengthened by the additional casting sandwiched by steel plates and PC bar prestressing up to the beam that the thickness of the steel plates along with the diameter and the minimum number of PC bars must be enough to prevent the sliding shear failure. The initial tension force in the PC bars is sufficient only to fix the steel plate to the unified member. In the experiments, the initial strain in the PC bars was about 1250 µ, because strains up to this level can be applied by hand. The interval between the PC bars was such that no out-ofplane deformation due to the dilation of the concrete occurred in the steel plates between the PC bars. Construction requirements for the PC bar interval, such as out-of-plane deformation of the steel plates due to the lateral pressure exerted by poured concrete, must also be considered. For more details on selection techniques for steel plates and PC bars, the paper by Yamakawa et al. (2006) on a similar retrofit technique applied to RC wing-wall columns can be referred to. To propose detailed design guidelines for the selection of the steel plate thickness and minimum number of PC bars, it is necessary to have retrofitted specimens using steel plates and PC bars in which shear failure occurs. However, it is very difficult to make such specimens. The test setup and loading program are illustrated in Fig. 4 . During cyclic loading, a constant vertical load was applied by servohydraulic actuators; a cyclic lateral force was applied simultaneously by a double-acting hydraulic jack system. The cyclic loading test was conducted at drift angles in the range ±0.5%, ±1.0%, ±1.5%, ±2.0%, ±2.5%, and ±3.0% for two successive cycles, and ±0.125%, ±0.25%, ±4.0%, and ±5.0% for one cycle.
Experimental results and discussions
The observed cracking patterns at the final drift angle and the experimental shear force (V)-story drift angle (R) relationships are illustrated in Fig. 5 . The cracking patterns were detected by detaching the steel plates after finishing the test. A summary of the test results is given in Table 4 . Variations of accumulated absorbed energy (W) and the secant stiffness of experimental skeleton curves with the drift angle of the test specimens are shown in Fig. 6 and Fig. 7 , respectively. The accumulated absorbed energy at any drift angle is defined as the cumulative summation of energy absorbed up to that drift angle, and is calculated as the area within the hysteresis loops up to that drift angle.
In non-retrofitted specimen R05P-P0, flexural cracks appeared in the columns and beam at drift angles of about 0.5% and 1.0%, respectively. The longitudinal rebar in the columns started yielding at about R = 0.67%. Shear cracks in the column were generated at about R = Steel plate t=2.3mmh=835mm 286.0 0.12 236.0 Notes: a = cross sectional area; f y = yield strength, ε y = yield strain; E s = Young's modulus of elasticity; t = thickness; h = height. 1.5% and widened progressively with increasing drift angle. At R = 2.5% in the push (+) direction of the first cycle (cyclic load from left to right is push, and vice versa), the width of the shear crack in the right column was about 5 mm. In the pull (-) direction of the same cycle at the same drift angle, the right column collapsed suddenly through shear failure.
In retrofitted specimen R05P-OR, the longitudinal rebar at the bottom of the column started yielding at about R = 0.25%. In this specimen, plastic hinges formed in the beam and at the bottom of the wing-wall column. Since the additional wing-wall was not anchored at the top or bottom, during cyclic loading in the push direction plastic hinges formed in the left side of the beam along the column face and in the right side along the wing-wall face, and vice versa (see Fig. 12 ). Since the column and the additional cast-in-site wing-wall were firmly united, rigid body rotation appeared within the formed plastic hinges. The beam was also subjected to a marked axial force, due to which the flexural strength of the beam increased and might have exceeded the shear capacity of the beam as a result of bond failure. With increasing drift angle, therefore, progressive damage occurred to the beam due to bond degradation. In this specimen, a concentrated axial force was acting in the beam, though in practice the axial force would be distributed and the beam would be sufficiently strong due to the presence of floor slabs and the walls of the upper stories. The experimental lateral force capacity was almost maintained until about R = 3%, after which it decreased gradually due to tensile breakage of the longitudinal reinforcement in the outer row at the bottom of the column. Here, the experimental lateral force capacity increased to about 2.5 times the capacity of nonretrofitted bare frame. To prevent the spalling of concrete on the exposed face of the wing-wall of this specimen, additional reinforcements (see Table 1 ) were provided inside the wing-wall, and experimentally these were proven to be effective. In the previous pilot test conducted by the authors (Rahman et al. 2005 ) using the same retrofit concept, spalling of concrete occurred on the exposed face of wing-walls in which no additional reinforcement was provided. Use of additional reinforcement in specimen R05P-OR was effective throughout the test.
In specimen R05P-OS, which was similar to R05P-OR except that the exposed face of the wing-wall was covered with a channel-shaped steel plate in lieu of additional reinforcement to prevent spalling, the longitudinal rebar in the bottom of the column started yielding at about R = 0.28%, and the experimental hysteretic behavior was the same as that of R05P-OR. From the viewpoint of economy and seismic performance, use of additional reinforcement instead of channel-shaped steel plates to prevent the spalling of concrete on the exposed face of wing-walls would be effective.
In retrofitted specimen R05P-ORB, in which the beam depth was increased by additional casting with longitudinal rebars inside the beam and it was retrofitted like a wing-wall column, the longitudinal rebar at the bottom of the column started yielding at about R=0.2% and plastic hinges formed in the beam along the wingwall faces and at the bottom of the wing-wall columns. Here, the experimental lateral force capacity increased to about four times the capacity of a non-retrofitted frame, as the additional longitudinal rebars in the beam increased its moment capacity. At a large drift angle (R = 5%), however, the lateral force capacity decreased due to tensile breakage of the longitudinal reinforcement in the outer row at the bottom of the column. In specimen R05P-WD, which was retrofitted with a non-opening-type panel-wall with additional stud dowels at the top and bottom connections of the panel wall, the sliding shear failure occurred through the beampanel-wall boundary line at about R = 1%. Since the panel-wall was cast separately and vertically, there was weak or no bonding between the beam and the panelwall at the top, due to shrinkage effects after hardening. On the other hand, the frictional resistance at the bottom due to the superimposed vertical load and the overturning moment by the horizontal shear force is larger than that at the top. Hence, the sliding shear resistance at the top is smaller than at the bottom. The stud dowels seemed to act as longitudinal flexural reinforcement, increasing the moment capacity of the unified column with the panel-wall section, and consequently the flexural strength (lateral force capacity due to flexural failure) exceeded the sliding shear resistance. Experimentally, it was also observed that the longitudinal rebars in the column did not yield. In this specimen, sliding shear failure happened through the beam-panel-wall boundary line. For the sake of safety, the cyclic loading test was stopped after the first half of the cycle at R = 2.5%. Here, the lateral force capacity increased to about 5.5 times the capacity of non-retrofitted bare frame. The calculation of sliding shear resistance is briefly explained in Section 5.3.
In specimen R05P-WDB, in which dowels were provided at the bottom only and the top beam-panel-wall connection was strengthened by casting additional concrete sandwiched by steel plates with PC bar prestressing up to the beam, the longitudinal rebar at the bottom of the column started yielding at about R = 0.26% and flexural cracks appeared at the bottom. In this case also, the stud dowels seemed to increase the flexural strength of the unified column with the panel-wall, and the lateral force capacity increased to about eight times the capacity of non-retrofitted bare frame. In this experiment, the stud dowels were provided to prevent the sliding shear failure, but they also increased the flexural strength of the section due to the presence of bonding between the dowel bars and the concrete. Yielding of the dowel bars was observed in this specimen, and was verified through the strain gauges attached to the stud dowels. Although the stud dowels initially contributed to flexural strength, with increasing drift angle they might become progressively ineffective due to bond degradation. During cyclic load reversal, the lateral force capacity decreased gradually with increasing drift angle due to bond degradation of the stud dowels, progressive crushing of the concrete at the bottom of the column, successive breakage of the longitudinal rebars due to high local strain concentration, and shear sliding at the bottom along with flexural rotation. The reason for the strain concentration was that high strain developed in the small unbonded lengths of rebar created by the opening of flexural cracks, while the remaining parts of the rebar were bonded. Moreover, due to cyclic load reversal, the flexural cracks resulting from the yielding of the rebars at the bottom of the column interconnected, and hence sliding displacement (about 5 mm) was observed after R = 1%. No sliding displacement occurred through the top beam-panel-wall boundary line, however, as it was effectively strengthened by the additional casting sandwiched by steel plates and PC bar prestressing up to the beam. In this specimen, shear sliding was generated at the bottom, but flexural behavior dominated. Rigid body rotation also appeared. Since 80% of the experimental lateral force capacity was maintained until about R = 2.5%, and from the viewpoint of practical design drift angle (namely, R = 1%), the retrofit technique used in this specimen can be recommended for very large seismic excitations.
Use of steel plates and PC bar prestressing is more effective and convenient than the anchorage system for strengthening the top beam-panel-wall connections, to reduce the burden of sliding shear resistance by the column sections only. Steel plates and PC bars can contribute to sliding resistance by the double-shear area, and the construction process is easy. Moreover, as highstrength steel bars are used, the number of PC bars required would be small and consequently fewer holes would be needed in the side face of the beam. In the anchorage system, sliding resistance arises from a single-shear area; thus, a large number of dowel bars would be needed and many holes would have to be made through the bottom face of the beam, which is an inconvenient location.
In Fig. 6 , it can be seen that in specimen R05P-WDB, although the experimental lateral force capacity decreased gradually with increasing drift angle, the energy absorption at a drift angle corresponding to 0.8V exp. peak was larger than that of R05P-OR and R05P-OS. Moreover, in specimen R05P-WD, although the sliding shear failure occurred through the top beam-panel-wall boundary line, the accumulated energy absorption up to R = 2% was larger than that of the opening-type wingwall specimens. In the overall context of energy absorption, lateral force capacity and ductility, however, the specimen R05P-ORB showed better seismic performance. Figure 6 also shows that, after a drift angle of R = 3%, there is a noticeable change in the slope of the W-R curves. This is because after that drift angle, the cyclic loading test was conducted for one cycle each instead of two cycles. Figure 7 shows that, after retrofitting, the stiffness of the retrofitted specimens increased greatly, and the increase in stiffness was greater in the retrofitted nonopening-type panel-wall specimens than in the retrofitted opening-type wing-wall specimens.
Analytical investigations
Flexural strength
The flexural strength of a beam is calculated using the Architectural Institute of Japan (AIJ) simplified equation (AIJ 1990) . For retrofitted opening-type wing-wall specimens, the flexural strength of a column with a wing-wall is calculated by considering it as a unified section. The flexural strength of this unified section is calculated more accurately by the fiber model. In fiber model analysis, the constitutive law of concrete is considered according to Mander's model (Mander et al. 1988) . As an alternative to calculate the flexural strength of this unified wing-wall column section, a simplified method based on the widely accepted American Concrete Institute (ACI) concept of an equivalent rectangular stress block (instead of actual parabolic stress distribution) for concrete in compression (ACI 2005) , as illustrated in Fig. 8 , is proposed here.
In the proposed simplified method, all of the rebars in tension and compression in the column are assumed to be yielded. Since the axial force acts at the center of the column, the simplified equations are derived by considering the axial force at the center of the square column section. Since the strength of the additional concrete (see Table 1 ) is nearly equal to that of the bare frame, for simplicity the concrete strength of the unified section is assumed to be the same as that of the bare frame. Moreover, since the unified wing-wall column section is asymmetric about the center line of the square column section, during cyclic loading the section has two different moment capacities depending on whether it is undergoing compression or tension on either the column side or the wall side. In the case of concrete in compression on the column side or the wall side, the proposed equations to calculate the moment capacity of a onesided wing-wall column without additional longitudinal reinforcement in the wing-wall are as follows:
For column-side compression ( ) 0.8 0.5 1.7
For column-side compression ( ) ( ) 0.5 1.7
where M = ultimate moment capacity, N = axial load, σ B = cylinder strength of concrete, D = depth of column, b = width of column, a g = total area of longitudinal rebars in column, f y = yield strength of rebar in column, a so = total area of longitudinal rebars in column in one outer row, and a si = total area of longitudinal rebars in column in inner rows. Since there are no additional rebars in the additional wing-wall part, in the case of compression of the concrete on the column side, the moment capacity of the square column section can be taken as the moment capacity of the wing-wall column section, and can be calculated by Eq. 1. In the case of compression of the concrete on the wall side, the moment capacity can be calculated by Eq. 2. For a one-sided wing-wall column without additional longitudinal rebars inside the wall, the axial force (N)-moment (M) interaction diagrams obtained by the fiber model and the proposed simplified equations are shown in Fig. 9 .
In the proposed simplified method, the moment capacity equation is derived by considering the equilibrium of internal tension and compression forces with external vertical load. Assuming the location of the neutral axis, a generalized equation is derived based on the ACI equivalent rectangular stress block for concrete in compression. Actually, with increasing axial forces, the location of the neutral axis changes and it is not possible to calculate the moment capacity for all levels of axial force using a unique simplified equation. Considering the practical design aspects, the vertical axial force ratio (N/(σ B bD)) of a column is considered within about 0.33. Up to normal levels of axial force, moment capacities calculated by the simplified equations derived here are in good agreement with those calculated by the exact fiber model analysis (see Fig. 9 ).
In retrofitted non-opening-type panel-wall specimens, the flexural strength can be calculated based on the simplified moment capacity equation for a shear wall of the AIJ (AIJ 1990), as follows:
where M = ultimate moment capacity, a t = total area of longitudinal rebars in one column, f y = yield strength of rebar in column, L = total depth of section (wall with both columns), a w = total area of longitudinal rebars in wall, f wy = yield strength of rebar in wall, N = total axial load in both columns, b = width of section, and σ B = cylinder strength of concrete. To calculate the moment capacity for a non-opening-type panel wall specimen with stud dowels in the panel wall, the term that accounts for wall reinforcement in Eq. 3 can be considered to apply to stud dowels if the dowels behave as longitudinal flexural reinforcements. If the stud dowels do not act as flexural reinforcements, that term is neglected. To avoid the contribution to flexural strength by stud dow- els, it can be recommended that the portion of the dowel bar inside the wall can be unbonded by simply covering it with a plastic tube or by any other means. However, a loading test must be conducted to verify this suggestion.
Shear strength by truss-arch mechanism
The shear strengths of beams and square columns are calculated using the AIJ design guideline equations (AIJ 1999) . However, Arakawa's mean equation (AIJ 1990) can better estimate the shear strength in the case of poor transverse reinforcement in square columns only (Yamakawa et al. 2000) . To calculate the shear strength of a one-sided wing-wall column without additional longitudinal rebars in the wing-wall, simplified equations are proposed here, taking into account the concept of the arch mechanism (AIJ 1999) and the truss mechanism assuming the inclination of the diagonal concrete strut at 45° (ACI-ASCE 1962), as illustrated in Fig. 10 . In the original AIJ shear strength equation, the effective width of the compression strut in an arch mechanism is considered to be half of the depth of the square column, and mathematically this conjecture can be proved for the maximal value of shear strength. Since there is no additional longitudinal flexural reinforcement in the wingwall, the moment capacities at the top and bottom sections of the wing-wall column members are different, depending on whether they are undergoing tension or compression on either the column side or the wall side, and consequently the effective width of a compression strut in an arch mechanism differs throughout the height of the member. However, for simplicity and based on the AIJ equation, the effective width of a compression strut in an arch mechanism for this wing-wall column member is critically assumed to be half of the depth of the square column only, and the compression strut angle of this arch mechanism is derived accordingly. For simplicity, the compressive stress of a concrete strut in an arch mechanism is considered by directly subtracting the compressive stress of a concrete strut in a truss mechanism from the cylinder strength of concrete. Since the wing-wall column is confined by steel plates and PC bar prestressing, the coefficient (ν 0 ) for the effective compressive strength of a compression strut in the arch mechanism is assumed to be unity. In the truss mechanism, the transverse reinforcement in the column is considered for shear resistance. However, to provide a safety margin, the contribution to shear strength by steel plates and PC bars as equivalent set of hoops is not considered in the calculation by the truss mechanism. The proposed equations to calculate the shear strength of a wing-wall column are as follows:
1 2 In a non-opening-type panel-wall specimen, the shear strength is calculated based on the design guidelines for a shear wall by the AIJ (AIJ 1999) considering the arch mechanism only, as there is no transverse reinforcement in the panel-wall. The wall thickness is assumed to be the thickness of the retrofitted panel-wall and the coefficient (ν 0 ) for the effective compressive strength of a compression strut in the arch mechanism is assumed to be unity. The equations to calculate the shear strength of a non-opening-type panel-wall specimen are as follows:
where V u = ultimate shear strength, σ B = cylinder 
Sliding shear strength
It is possible that shear stresses may cause a sliding type of failure along the potential sliding planes across walls, where construction joints occur or where wide flexural cracks originate from the interconnection of two edges. The interface shear transfer in flexural members can be critical only if the shear span to depth ratio is very small (namely, <0.5) or when a particular section along which shear displacement can occur is weakened by the formation of a tension crack. Interface shear transfer along such planes may be based on the mechanisms of aggregate interlock and dowel action. It is evident (Park and Paulay 1975 ) that shear transfer due to aggregate interlock depends on the force generated by the clamping action of reinforcement crossing transverse to a potential sliding plane that is sufficient to transmit the frictional force, and on the dependable coefficient of friction of the interface. However, the repeated loading causes an uneven bearing across the cracked surface, which leads to a deterioration in interface roughness and a corresponding reduction in the coefficient of friction. Moreover, it is noted that the yield strength of a bar in flexure and shear cannot be fully utilized for dowel action if the same bar is to provide a clamping force. Again, at small shear displacements, dowel action is not a major component of the shear-resisting mechanism across cracked interfaces when the aggregate interlock mechanism is considered at the same time. Paulay et al. (1974) verified that, to develop dowel strength of some significance together with an aggregate interlock mechanism, a large displacement along the shear plane is necessary. However, if the sliding plane is not sufficient to transmit frictional resistance by the aggregate interlock mechanism, the dowel strength primarily provides the sliding shear resistance. The dowel action is primarily contributed by the direct shear stress of the reinforcing bars crossing to the sliding plane. However, if the dowel bar is small, the dowel strength is contributed by the kinking action of the dowel bars (Paulay et al. 1974) . The sliding shear resistance due to the aggregate interlock mechanism can be calculated using Eq. 9 (Park and Paulay 1975) and that due to dowel action by shear or kinking using Eq. 10 (Park and Paulay 1975) or Eq. 11 (Paulay and Priestley 1992) , respectively. The equations are as follows: In specimen R05P-WD, since the panel wall was cast separately and vertically, there might have been no contact between the beam and the panel wall at the top due to shrinkage after hardening. On the other hand, the frictional resistance at the bottom due to the superimposed vertical load and the overturning moment by the horizontal shear force is larger than that at the top. At small drift angles, the sliding shear strength at the top is calculated as the shear resistance due to the aggregate interlock mechanism contributed by the two columns only, considering the coefficient of friction to be 1.0 (assuming a bleeding effect at the top region of column) and the dowel shear resistance by stud dowels (diameter of dowel bar is as large as 16 mm). At the bottom, the sliding shear resistance is calculated as the shear resistance due to the aggregate interlock mechanism contributed by the two columns, considering the coefficient of friction to be 1.4 (concrete cast monolithically and assuming no bleeding effect at the bottom of the column) (Park and Paulay 1975) , and the wall panel, considering the coefficient of friction to be 1.0 (concrete cast against hardened concrete) (Park and Paulay 1975) . According to the calculation, the sliding shear strength at the top is smaller than that at the bottom (see Fig. 12 ).
In specimen R05P-WDB, at small drift angles the sliding shear resistance at the bottom is calculated in the same way as for specimen R05P-WD. Due to cyclic load reversal, however, the coefficient of friction is decreased due to degradation of the interface roughness and crushing of the concrete. For reference, at larger drift angles, the sliding shear resistance at the bottom is calculated as the shear resistance due to the aggregate interlock mechanism, considering the coefficient of friction to be 0.7 (deteriorated due to cyclic load reversal) (Paulay and Priestley 1992) , plus dowel action by kinking of the column rebars (diameter of column rebar is as small as 10 mm) contributed by two columns, and the dowel shear resistance by the stud dowels. Since the top beam-panel-wall connection was strengthened by casting additional concrete sandwiched by steel plates and PC bar prestressing, the steel plates and PC bars also contributed to the sliding shear resistance along with the resistance offered by the two column sections at the top. The sliding shear strength at the top was therefore large enough to prevent sliding shear failure. However, the diameter and number of PC bars needed in the beam for this should be such that their total punching shear strength is the same as that of steel plates, because their contributions to sliding shear strength are interrelated. The punching shear strength of steel plates and PC bars can be calculated using Eq. 10.
Lateral force resistance capacity
The lateral force resistance capacity of a non-retrofitted bare frame and a retrofitted frame with opening-type wing-wall columns can be estimated based on the mechanism of plastic hinge formation and shear failure in the beam or column. In this calculation, the beamcolumn connection is assumed to be rigid, and the dimensions of the model frame are considered as the center lines of the beam and the square column. In a retrofitted frame with opening-type wing-walls, the effective shear span of the beam is selected as the distance between the contact points of the beam (the distance between the plastic hinges, as shown in the bottom part of Fig. 12 ). The effective shear span of specimens R05P-P0 and R05P-ORB is the clear span of the beam, and for specimens R05P-OR and R05P-OS, it is the distance between the inner faces of the left column and the right wing-wall for cyclic loading from left to right. The maximal sectional moment of the beam and column is taken into account at the end of the effective shear span of the beam and at the clear height of the column. To determine the plastic hinge at either beam or column, the end moments of the beam and column are linearly interpolated and compared at their intersection point. The flow chart for this simple calculation method is illustrated in Fig. 11 . To calculate the lateral force capacity using this flow chart, it is initially assumed that no shear failure occurs in either beam or column. However, during the calculation process, the shear strength of the beam and column are also checked. At that stage, if no shear failure occurs in the beam or the column, the lateral force capacity is determined by the flexural plastic hinge mechanism. In the calculation of the moment capacity of the columns by this mechanism, for simplicity the change in axial forces in the left and right column due to beam shear force is ignored, because with the change in axial forces in columns the change in the lateral force capacity of the frame will also be small. Actually, for lateral loading from left to right in the frame, the axial force in the left column decreases while that in the right column increases, and consequently the moment capacity in both the columns changes. However, the difference in the sum of the story moment capacities of the columns would be small, and hence the change in the lateral force capacity of the frame would also be small. In this experiment, a concentrated cyclic lateral force was applied directly through the beam, increasing the moment capacity of the beam, and this effect due to the concentrated axial force in the beam is also considered here. In practice, however, its effect can be ignored due to the force being distributed. To compare the lateral force capacity due to flexural failure with the lateral force capacity due to shear failure of the specimen, the lateral force capacity due to shear failure is calculated based on the shear failure of the beam or column.
In a non-opening-type panel-wall specimen, the lateral force capacity is determined to be the smaller of the flexural strength (lateral force capacity due to flexural failure) and the shear strength (lateral force capacity due to shear failure). In such cases, the retrofitted frame is considered to behave like a unified cantilever member. Since the lateral force was applied through the beam, the maximal moment developed at the base of this cantilever. Therefore, the flexural strength is calculated by considering the retrofitted frame with an additional post-cast panel-wall as a unified cantilever member with a fixed end at the base of frame and a concentrated lateral force at the top of the frame through the beam. The shear strength of this specimen is calculated by considering this retrofitted frame as a framed shear wall with a wall thickness equal to the width of the column.
Comparisons of test and calculated results
Comparisons of experimental skeleton curves, calculated lateral force capacity, and possible failure modes of the test specimens are shown in Fig. 12 . From the comparison of experimental skeleton curves, it is observed that, after applying the proposed retrofit technique to a bare frame, both strength and stiffness are increased in the opening-type wing-wall and nonopening-type panel-wall specimens. From the viewpoint of strength, stiffness, and ductility, the specimen R05P-ORB, in which both column and beam were retrofitted, showed better hysteretic behavior. From the viewpoint of very large seismic excitation, the non-opening-type panel-wall retrofit technique should be selected. In Fig.  12 , the test results agree well with those calculated using the proposed simplified methods. It may be pointed out that selection of either the opening-type wing-wall (with or without beam depth enlargement including additional rebars in it) or the non-opening-type panel-wall retrofit style depends on how much lateral capacity increase is required. In the opening-type wing-wall retrofit system, the lateral capacity increase can be controlled by increasing the wing-wall depth, by enlarging the beam depth including additional rebars in it, or by a combination of the two. However, for the installation of wing-walls into a bare frame, the depth of the wing-wall should be selected so that either no shear failure occurs in the wing-wall column, or the deformable length of the clear span of the beam is not shortened, which may lead to shear failure of the beam. In the non-opening-type panel-wall retrofit system, the sliding shear failure through the beampanel-wall boundary line must be prevented, and the sliding displacement after the formation of flexural cracks at the bottom during cyclic load reversal must also be prevented using a suitable anchorage system at that location. However, the anchorage system cannot adversely increase the flexural strength of the section, which may exceed the sliding shear strength.
Conclusions
(1) A retrofit technique using opening-type thick hybrid wing-walls without additional longitudinal or transverse reinforcements or stud dowels inside the wing-wall increases lateral strength, stiffness, and ductility. (2) From the viewpoint of economy and seismic performance, use of additional reinforcement instead of channel-shaped steel plates at the exposed face of the wing-wall would be effective in preventing the spalling of concrete. (3) By enlarging beam depth with additional longitudinal rebars and retrofitting like a wing-wall column, greater increases in lateral force capacity and stiffness are achieved while maintaining ductility. (4) In the non-opening-type panel-wall specimen with additional stud dowels at the top and bottom connections of the panel-wall, the sliding shear failure occurred through the top beam-panel-wall boundary line. Since the panel wall was cast separately and vertically, there was weak bonding or no bonding at all between the beam and the top of the panel wall due to shrinkage after hardening. Due to the superimposed vertical load and the overturning moment by the horizontal shear force, the frictional resistance at the bottom was larger than that at the top. Hence, the sliding shear resistance at the top was smaller than that at the bottom. Again, the flexural strength, increased by the contribution of stud dowels as longitudinal rebars due to the presence of bonding between the dowel bars and the concrete, exceeded the sliding shear resistance.
(5) When the top panel-wall-beam connection of the non-opening-type panel-wall specimen was strengthened by casting the additional concrete sandwiched by steel plates and PC bar prestressing up to the beam, and the bottom connection by providing stud dowels, the sliding shear failure did not occur at the top, the lateral force capacity was significantly increased, and 80% of the capacity was maintained until about R = 2.5%. During cyclic load reversal, however, the capacity decreased gradually with increasing drift angle due to degradation of bond between the concrete and stud dowel, progressive crushing of the concrete at the bottom of the column, successive breakage of the longitudinal rebars due to high local strain concentration, and shear sliding at the bottom along with flexural rotation. In the context of practical design drift angle (namely, R = 1%), the retrofit technique used in this non-opening-type panelwall specimen can be recommended for very large seismic excitations. (6) From the viewpoint of design and assessment, the proposed simplified methods can be well applied as alternatives for calculating flexural and shear strengths as well as lateral force capacity.
